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Early Non-LinearSeismic Analysis of Multistory Building
Ed Wilson

These remarks are based on more than fifty years of experience conducting linear and nonlinear
structural dynamic analyses of many different types of civil and mechanical engineering
structures. From 1958 to 1963, Ray Clough and Ed worked very closely at the University of
California at Berkeley to develop new numerical dynamic analysis methods and digital
computer programs for structural analysis. During this period the research and development
work in earthquake engineering was motivated and funded by local Bay Area Structural
Engineering Firms that requested our help in the earthquake analysis and design of real
structures. In 1959 we first used the approximate response spectrum method for seismic
analysis. However, by 1962 the speed and capacity of computers had improved to the point
where it was possible to perform very accurate time-history dynamic analysis of both linear
and nonlinear two-dimensional frame systems. However, since we freely gave away the
computer programs for linear and nonlinear time-history seismic analysis, many structural
engineers were able to use this new technology three years prior to the publication of the paper.

The numerical methods and the engineering significance of a seismic nonlinear analysis was not
documented until our paper “Inelastic Earthquake Response of Tall Buildings” was
presented at the 3" World Conference on Earthquake Engineering in January 1965 which
was held in New Zealand (Ray wrote and presented the paper while Ed was working at
Aerojet).

Based on the Nonlinear Analysis of a 30 Story Steel Frame, the 1965 New Zealand paper
indicated the following three conclusions (written by Ray in 1964, condensed by elw):

1. The displacements, obtained from a nonlinear time history analysis, were significantly
greater than a linear analysis of the same structure subjected to the same earthquake
record. This conclusion is contrary to the equal displacement results based on the
analysis of a one story building that was presented by Veletsos and Newmark at the 2"
WCEE in Tokyo in January 1960.

2. The linear moment deformations did not provide a direct estimation of the deformations
obtained from a nonlinear analysis. In addition, they varied significantly between
different members of the structure.

3. Iftall buildings are designed for elastic column behavior and restrict the nonlinear
bending behavior to the girders, it appears the danger of total collapse of the building is
reduced.

After fifty years, engineers continue to use the equal displacement rule to justify nonlinear static
pushover analyses. It appears that many structural engineers want to convert a complex
dynamic nonlinear problem into a very simple statics problem. Please read the attached paper
and see what the common practice was in 1963. (see attached pages to read the 17 page paper)



INELASTIC FARTHQUAKE RESPONSE OF TALL BUILDINGS

by
Ray W. Clough*, K.lL.. Benuska** and E.L. Wilson#w#

ABSTRACT

A digital coppuier procedure for evaluating the inelastic forces and
deformations deve%oped in each column and girder of any arbitrary building frame
subjected to earthquake motions is described. A special bi-linear moment— '
rotation property may be prescribed independently for each member, The dis-
tribution of maximum deformations and forces preduced in two. different 20 story
building frames by the Bl Centro 1940 earthguake, computed by this program, are
discussed and compared with results obtained in s purely elastic analysis.

Three different earthquake intensities, approximately 2/3, 3/3 and 4/3 of El
Centro, are considered.

INTRODUCTION

Great advances have been made during recent years toward a more complete
understanding of the behaviour of structures subjected to earthquake excitation.
The introduction two decades ago of the elastic response spectrum concept(l),
which provides a convenient means for representing the elastic behaviour of
gimple structures, was followed by recognition of the fact that t?e forces
predicted by such apectra far exceed normal desipgu requirements(2 + Becauna
structures having much less strength than is prescribed by the spectral values
were observed to have perfomed satisfactorily in rather severe earthquakes,
it became gpoarent that the elastic response spectrum is not e direct measure
of tRe gignifiocant earthguake behaviour of many structures. Even moderate
earthquakes may be expected to produce inelsstic deformations in typical
- buildings, and it is now understood that the plastic energy absorbed by the

structure has a controlling influence on the deformation amplitudes which it
may develop. .

Recognition of the impoertant role played by ductility in the earthguake
performance of structures led to initiation of research programs directed
toward the quantitative ptudy of simple elasto-plastic systems subjected to
“earthquake motions 3,4.5?. These investigations demonstrated that the maximum
structural displacement amplitudes preoduced by a given earthqu?k tend to be
reasonably independent of the yield strength of the structures!3 In other
words, the maximum displacement in a simple structure was found to be about the
same whether it remained elastic or yielded.
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On thstaSiS of this observation, the ductility factor concept was
introduced‘®/, this factor being defined as the ratio of total deformation
(elastic plua plastic) to the elastic limit deformation. For structures in
which the deformation amplitude is independent of the yield strength, the yield
strength required to provide any given ductility factor may be found by
dividing the elastic spectral responsc force by that ductility factor. Thus the
ductility factor concept extends the applicability of elastic response spectra
to include eny elasto-plastic structure which responds as a true one degree of
freedom system,i.e. to any simple system for which the plastic mode of
deforoation is similar in shape to the elastic.

“nfortunately, this extension still leaves very severe restrictions on the
uset'iness of response spectra in practice. It is seldom true, even in very
gimpie structures, that plestic deformations are distributed similarly to the
.elaatic deformations., For more complex structures, in which several modes of
vibrefion may be excited significantly by an earthquake, even purely elestice
bshaviour cannot be predicted prccisely by response spectrum procedures%?F.
Computer studies have demonstrated that various superposition techniques, notably
‘the root-mean-square method, will give reasonable estimates of the maximum
respanse to be expected in regular elastic structures(8,9), However, it is
- guite uniikely that similar procedures, even when combined with the ductility
factor concept, can lead to useful inforwation about the inelastic response of
arbitrary tall buildings. In practice, yielding may range from a general to an
extremely localized phenomenon; it may be expected to destroy completely the
elagtic vibration mode characteristics which form the basis of mode superposition
techniques, and the relationship between total inelastic energy absorption and
the maximum local yield amplifudes must be exceedingly complex.

In the palit, this problem has not been of critical importance.
Undoubtedly, significant quantities. of energy vere absorbed in inelastie
deferwations by most structures subjected to severe earthquakes. However,
traditional buildings have great capacity for inelastic energy absorption. A
major part of the stiffneas and strength of such siructures is provided by non-
structural partitions and exterior walls,and vast quantities of energy will be
absorbed by these elements before the basic structure is stressed even to nor-
mal design levels(lo . In such cases, the empirical reduction of seismic
couFinients from elastic response spectrum indications to values commensurate
with experience (ns has been done in the code recommended in 1958 by the
Structural Engineers Association of Californialll/) is fully justified.

On the other hand, the tendency in the design of modern, high-rise
buildings is towards the use of minimal quantities of non-structural materials,
Iaterior partitions often are light-weight elements, completely detached from
the ssructurel system, and the exterior curtain walls may be entirely of glasa.
Phus the entire strength of the building must be provided by the basic ‘
structural system, which also must provide the full inelastic energy absorptio
capacity. Clearly a more complete understanding of the inelastic earthquake
behavicur of such structures is necessary if they are to be designed :
economically and with adequute factors of safety in regions of intense seismio
activity. It was the purpose of the investigation described herein to 3hed

some light on this problem.



METHOD OF ANALYSIS

Qutline of Procedurs

‘The IBM 7090 computer program employed in this investigation was developed
originally by the junior author while amployed by T.%. in and Associates
under contract with the U.S. Office of Civil Defengetl? « It is designed to
evaluate numerically the non-linear reaponse of multi-story buildings to
arbitrary time-varying lateral forces. The dynamic analysis is carried out by
8 step-by-step procedure. Within each short time increment, the strusture is
assumed t0 behave in a linear elsstic manner. The elastic properties may be
changed, however, from one interval to the next, thus the non-linear reaponse
is obtuined as a sequence of linear responses of suocessively differing systems,

The analysis procedure involves the repeated application of the following
steps for each sucoessive time intervals

First: the stiffneas of the structure appropriate to the time interval is
evaluated, based on the moments existing in the members st the
teginning of the time intervail,

Second: changes in displacements of the elastic structure are computed,
assuming the accelerations to vary linearly during the interval.

Third: these inoremental displacements are added to the deformation state
existing at the begimning of the interval, to obtain total member
) deformations,
Finéily: based on these member deformations, member forces are computed

from which atiffness coefficients appropriate to the next time
interval may be determined,

Assumptions and Limitations

The program is designed to analyze any regular rectangular building frauc,
or combination of frames up to 30 stories high and 15 bays wide. Shear walls
may be incorporated arbitrarily into the frame by the expedient of treating
them as columns of finite width. Flexural and shear distortions are considered
in all members, but axial deformations are neglected for simplicity. To provide
a form of bi-linear moment reasistance, each member is assumed to consist of two
oomponents in parallel: a basic elasto-plastic beam which develops a plastioc
hinge at either end when that end moment exceeds a specified yield value, M ,
oombined with a beam which remains fully elastic, A typiocél member is showh in
Fig.la. It #will be noted that the fully elastic component is rotated at each
end through the totul joint angle, O, while the elasto-plastic component deforms
alastically only through the angle, ¢ . The additional joint rotation, o€,
indicated in these componenta representa the plastio hinge deformation, which
is assumed to have the ideal plastic hinge property depicted in Fig.lb., It
should be recognized that the total member moment continues to inoresse bsyond
the yield value, however, due to the contribution of the elastio ocomponent.

In the present study, the fully elastic component oontributed 5 percent of the

(initial) total member stiffness, , _
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Evaluation of Member Stiffnesses

To obtain the stiffness of the complete frame, it is necegsary first to
evaluate the stiffness of each of its constituent girders and columns, Because
. @ non—linear moument curvature relotionship has been assumed for esch member,
its stiffness properties may be expressed in matrix fomm only for the linear
behaviour assumed to apply during each time increment, In general, the
incremental moment-rotation relationship for each member may be exprassed in

the following foru:
amel s, s.] (a6 o
AM! Ss Sc | |a0’ |

in which the stiffness coefficients, S, include contributions from both the
elastic and the elasto-plastic member components,

+ The fully elastic component stiffness ig given by
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The elasto-plastic stiffness contribution depends on the yield condition
of “me member, which depcnds in turn on whether the yield moments at the ends
vi ine wember have been exceeded. Four different member yield conditiona nay
be dofined, for which elasto-plastic component stiffness coefficients may be

expressed ag followa:

(a) No hinges: MY <« qMy > mdi ; (x! = otd = o)

AT oo Tka ko ][a6t

Where M= moment in elasto-plastic component
@=1-p
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(b). Hinge at "i": MY > qM, > Ml ; (ami= Aci=0)
| {Am 2o o AG" -
Amf} [ 0 (Ki- k.)H } ~ (3b)
() Hinge at "jv: I?TL‘I < gMy < M| ; (Actt= A= o)
{Am‘} i __[(k.~kt) o|fae* |
AM| k| 0 oJ{A@"} (30)

(a) Hinge at "}" and "j": | |m"| -3 3M,j < ‘Tn-_l\ (Ami=nmmi= O) |
sm) [o ol(ae] |
amt] | o of)ae’ (3d)

The total member stlffness is given by the combination of Egs. 2 and 3,
i.8e {AM] [ + {&Tﬂ.} Thus the stiffness ocefficients of Eq.l may
b9 expressed as follows for the four yield conditions:

Sa Se Se
(a) ' No Hinges: Ka ks ke
(b) Hinge at "in pkq pke Ka— %
(c) Hinge at "j" Ko~ q._ Pk pka
(d) Hinges at "i" and "j" pk. pk; pka

Framg Stiffuness

When the stiffneass of each member has becn determined, the stiffness of the
complete framé may be obtained by well-known techmigues of matrix structural
analysis. The procedure used in the present investigation is described in
Reference 13 and will not be discussed in detail here. The result of the frame
stiffness analysis is a stiffness matrix made up of submatrices arranged in
tri-diagonal form, Each submatrix represents the relationship between the
vector of all forces developed at one floor level ag the result of a correspond-
ing displacement vector imposed at that or at an adjacent floor level. The
complete frame atiffness matrix [K] is defined by the following expression:

Kl{ar} - {AR] (4)

in which , AP = change in all joint displacementa
AR = change in corresponding forces

Computation of Displecements
In matriz form, the dynamic equilibrium of a linear multiple degreec of
freedom system may be expreased as follows:

M} + [CT{*} + [KH{rt =1{R} (52)



To be ‘applicable to the non-linear system considered in this study, however,

the equation must be modified to represent the linear conditions which are
assumed to exist only in each limited time interemcit:

M}{a?} + [ciar} + [x]{ar} - {OR}E - (59)

Thus, Eq.5b representa equilibrium of the changes of forces which occur within

tha time interval; it corresponds to Eq.4, but with the addition of terms
sasneinted with inertia forces (due to changes in the acceleration vector, {Ai“} ).
and Aewping forces (due to changes in the velocity vector, {,ﬁr"} Je It should

b9 wetsd that in this equation, the mass matrix {M| has non-zero temms only at

the positions on the major diagonsl which correspond with lateral stovy displace-
manta, because the mass is assumed to be concentrated at these levels.

) Fr.5b may be solved easily for the change in the displacemént vector, {a.r‘},
if it is essumed that the acceleration varies linearly during the time interval,
A similar procedure is discussed in detail in Reference 14, so only a brief
description will be presented here. Assuming that the accelsration vector varies
linearly, its change during the time intexval is given by

{aF} = Gfar} v A} (60)
in which At represents the length of the time interval , and
' o6 ¢ _ "

{al e r‘}to 3 {r‘}to | (6v)

whess the subseript "tg " is used to denote conditions existing at the beginning
of the time integval. Similarly, the change in the velocity vector is given by

{ar} = 2 {ar}. + {8} o (7a)
in wkhich ' .
{8} = - 3{r}, - %’t{?‘}h (70)

4 seocond essumption was made in deriving the displacement relationships
for this system: that the damping watrix is proportional to the masa matrix, i.e.

€] = AlM] @

where A is the proportionality constant., This assumption is not essential to.
the prement analysis, tut is not unressonable and tends to simplify the equations,
Intyoduocing Esq.8, 7a and 6a into Eg.5b permita this dynamic response equation

%6 be written in the following paseudo-static form:

[k]{ar} = {oR7 ()



in which | ' . .
[k*] = [k] + (Kéfz"'asi{l)[m] (10a) °

‘{AR*} {AR} B [M]{A} ~ X[M]{B} (10m)

Because of the tri-diagonal form of [K“] » BEq.8 may be solved by means of
recursion equations (as explained for static analysis in Reference 13) to

- determine the change in the displacement vector Arwhich takes place during
the time interval. Finally this change in displacement may be introduced into
Eqa.6a and Ta to determine the corresponding changes in the acceleration and

© velocity vectors. Total displacements, velocities and accelerations are
obtained, of course, by merely adding these incremental vectore to the
quantities existing at the beginning of the time interval.

Evaluation of Member Deformations

After the joint rotations and story dicplacements of the frame have been
determined, the analysis of the corresponding member deformations would be a
simple metter if the system were linearly elastic; in such cases, a unique
transformation matrix may be derived which expresses the member deformations in
terms of the structure displacements. Analysis of the member deformations in
the present case is greatly complicated by the bi-linear member properties which
have been assuped. For this type of system only the changes of deformations
ccourring during each time interval may be computed direotly; the total
‘deformation at any time must be obtained by superposing the inoremental
deformations which have been produced up to that time, '

E 1

In general, the deformation at each end of each member may include both
an elastic rotation, ¢ , and a plastic hinge rotation, ot , as shown in Fig.la, -
These deformationse result from two types of joint displacements: Joint
rotation, w, and chord rotation, ¥ (caused by joint translation). As may be
seen in Fig.2, the displacement ~ deformation relationship for joint i of any

member may be expressed

P+ = oWt - (11)

The elastic rotation, ® , determines the yield condition of the member.
To detemine ¢, it is necessary to establish the changes in the plastic hinge
rotation, ol , which occur during each time increment. The type of plastio
deformation which occurs depends upon the yield condition of the member, and
again four categories can be established, corresponding to the four stiffnes_sa
oonditions of Eq.3. Incremental yield rotations daveloped in each of these

cases are as follows:
(a) No Hinges: Aot = At = 0 (12a)

(b) Hings at "i": At = Aw' - AF + .E.E.(Awi ~AY) 3 acd=0 (12v)



(¢} Hinge at "j": Dol = 0 ; Acd = Aw!-pAF %’-’{MLAB.") (120)
{d) Hinges at "i" anq nits  Axt = Apt - Ay I Hod = Awl - AY (12d)

(It must be noted that for hinge rotations to develop, the inaremental rotation
must be in the same direction as the elast c rotation; otherwise incremental

displacements will produce a “eduction of elastic rotation and no inoremental

yield displacement),

. 3y superposing the plastic rotations developed during each time increment,
the intal state of member deformation may be eatablished by means of Eq.ll.

Mozents in the elasto-plastic wmember corponent, which control the member yield

condé;ion, may then be computed from the following patrix’ relationship

m Ka Ky ¢
: | {m} =. q [:b m]{i‘} (13)

PROGRAM OF INVESTIGATTION

Gengral Scope

i The research work reported herein represents oily a preliminusry
investigation into the non-linear behaviour of tall buildinga subjected to
sarthquakes. It was intended to demonsirate the order of magnitude of the
flsxural ductility which may be required of the columns and girders in a typioal
building frame,gyut only & very limited range of veriables was considered., A
single 20 story rectangular frame geowetry was employed; the structural vari-
ation consisted only in changes of member stiffnesses and yield moments as
described below. These frames were both subjected to the same pattern of ground
motion cxcitation: the first four seconds of the El Centro 1940 earthquake
aocelerggram.(ﬂ—s camponent). However, the intenaity of the excitation was
varied by multiplying the accelerogram by an apuropriate reduction or
emplification factor,

The building frames were analyzed firat for their elastic response to the
full El Centro ground motion intensity., For this purpose a gtandard mode—
superposition computer analysis program was used (desoribed in Reference 12,
Vol.i? considering the firat six modes of vibration and assuming each ‘mode to
“be 10 pervent critically damped. The progrem sutomaticelly computed the )
meximun forces developed in each pcolumn and girder of the frame, as well as the
meximum story displacements, sheers and moments for the entire struature, By
comparing the member moments computed by this progrem with the yield moment
specified for each member it was a simple matter to determine the relative .
overstrossing of the struoture which would be prodused by the El Centro earth-
quake, or conversely, the redugtion in earthquake intensity required to avoid
overstress, On this basis, it was found that an earthquake intensity about %6%

of Tl Centro would cause incipient yielding.



Taking this 3&%_(e1aspic limit) intensity as the reference level, additional
intensity levels, 68y, 100% and 132 of Bl Centro, were used in evaluating the
non~-linear response of the building frames., These all repregent possible
earthquake conditions to which a building in a seismically active region might
* be subjected, and the relative response of the frames provides some indication
- a8 to how the ductility requirement varies with earthquake intensity.

It is recognized that the first 4 geconda of the El Centro accelerogram is
not equivalent to the complete earthquake excitation, even though it includes
the maximum recorled ground accelerations. Even when responding in a pursly
elastic fashion, the building does not develop its maximum response within the
first 4 seconds. When non~linear behavicur is considered, the duration of the
excitation may be expected to have a still greater influence on the amplitude
of deformations which are produced. Thus, the results presented here are not
intended to represent the response to the actual El Centro earthquake, but rather
'to a similar earthquake having only a 4 second duration. This very curtailegd
accelerogram was adopted in order to conserve computer time: about 20 minutes
of machine time was reguired to perform each of the 4 second earthquake analyses
described herein, using an IBM 7094 computer. One analysis was made, however,
using the first 8 seconds of the accelerogram in order to indicate how the
duration of excitation might affect the results,

Building A: Stiff Frame

The first building analyzed was an open frame structure with general
dimensions as shown in Pig.3. The bagic member gizes, also tabulated in this
figure, were patterned after the exemple building of Reference 6. On the basis
of these dimensions, a static analysis of the fram? uas carried out by computer ,
using. lateral loads as suggested by the SHAOC Code\ll) combined with vertical
deada}oad plus 100 psf filoor loading., This analysis yielded a design moment
for each girder and a design axisl force Plus moment for each column.,

In a nommal design process, thene design forces would serve to proportion
the reinforcing of the various members. For the purpose of the prasent
investigation, however, no detail design was required; it waa sufficient merely
to establish a yield moment for each member to gerve as input for the none

. linear analysis program. The yield moment in each girder was arbitrarily fized
at tuice the wember desiga moment. The yield condition of the colunns prevented
& more diffienlt problem, due to the interaction effect of the axisl forces.
These members were designed by the Ultimate Strength Method, for a factor of
safety of 2 with respect to the desisn axial force combined with a moment.

Then, assuming that the member was subjected to a static design axial force
(without the factor of 2), the ultimate moment given by the interaction curves
of Fig.5.25 in Reference 15 was taken as the member yield moment. 'This process

- resulted in ruther large column yield: design moment ratios ranging from 5 in
the upper stories to 10 in the lower stories and averaging about 7.

Buildine A-1: TFlexible Frame

Because Building A was found to be quite stiff for an open frame build-
ing {its period of vibration was 1.60 scconds) a second frame was studied, of
similar geometry but with proportionately reduced stiffness in each member,
The atiffness of this Building A-1 was taken at one-third of Building A

s omr fm 4 e
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(selected to give approximately 1/4 in. drift per ten ft, of height when
subjected to code lateral 1oads), vhich required that the member crogsse
sectional dimensions be wade 76 percent of those in Building A. ‘fhe ceriod of
vibration of Building A-1 is 2,77 seconds, thus it is a rather flexibie frame,

. Because only a proportional change of member stiffness was made in
Building A-1 and the same loads were assumed as for Building A; the uember
design forces are the same as were determined for that building. However,
lower coluin yield moments were established in this frame (due to their reduced
ﬂro@swsections), ranging from slightly over 2 in. the upper stories to 6 in
the lower stories, and averaging about 4.

HESULTS OF ANALYSES

iter OQutput

The prineipal objective of the non-linear snalysis program is the evaluation
of the maximum inelestic flexural deformations produced in each member of the
freme during the course of the earthquake. This deformation is represented by
the plastic hinge angle, of, which is evaluated for each end of each member at
the end of each time increment.

The meximum value of oL, which is stored for each mewber in the computer
and printed at the end of the analysis, represents the ductility requirement
imposed on the member by the earthquake. In order that this ductility
requirement may be interpreted readily, the angle ol is compared with the max—
imum elastic rotation angle QQWhich the member may develop. This elastic limit
rotation angle is the angle developed when the nember is subjected to its yield
moments this may be accomplished either by a simple besm test or by application
of anti-symmetrie yield moments as shown in Fig.4. For a uniform besm, the
zlagfic yield rotation is given by

My L
Py = A= (2+ (14)

'y ZEL (2*®)
in whioch the aymbols are as defined previously (Eq.E). The ductility factor,
/u , then represents the ductility reguirement, defined asm follows:

/.1 _ Py + Lman. i - occg“ (15)
P, s

* Tt will be noted that the ductility factor is the ratio of elastic yield
piug plastic hinge rotation to the elasfiﬁ yield rotation, and thug is con-
gigtent with previous usege of the term 3). The computer lists this quantity
for each member of the frame; however, because of the manner in which it is
computed, a value of M= 1.00 is listed for members which have not yielded. In
these members, the maximum moment developed at either end represents the
significant response parameter. The computer also lisis this quantity, expressed
ag the ratio of meximum to yield moment, for each member, In addition it lists
the marximum axial force developed in each column and the maximum lateral dis-—

viasensnt of each ptory.

Lateral Displacements
The maximum lateral displacement produced at each story_level og Builg%nga
A and A-l are presented graphically in Figs., 5 and 6 respectlve}y. n eac
T/
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casg, the displacement is seen to increase quite regularly with’ the ground
motion intensity; however, in Building A a general shift of the larger yield
amplitudes from theupper toward the lower stories also is evident, Although
-Building A-l is threc times more flexibie, its digplacement amplitudes are
only about double those of Building A; this discrepancy is due to the fact
that swaller forces are developed in the more flexible building, It sﬁould be
noted that the elastic displacement response is only about 504 or BQ%,
respectively, of the non-linear response of each building to the full ground
excitation.

Also showm in Fig.5 are the maximum displacements produced in Building A
by the first 8 seconds of the 1004 intensity accelerogram, The additional 4
geconds of exciration may be seen to result in an average increase in dig-
placement of about 25%; furthermore, the additional deflection clearly is due
primarily to ingreased deformetion in the lower gtories,

Member Ductility Factors

The mewber ductility factors produced by the 1005 earthquake intensity
"acting on the two buildings are presented in Figs.7 and 8, It is of interest
that the column yielding in both cases is confined to the upper stories; the
lower story column response is fully elastic. In Building A, the girders tend
to yield quite uniformly in the lower stories, with ductility factors of about
% and 6 respectively in the exterior and interior baya. However, significantly
greater girder yielding takes plece in the upper stories, reaching a peak
ductility factor of nearly 12. In Building A-1, on the other hand, girder
ductility requirements are lower throughout, snd it is the columns which show
the sharp increase in ductility factor near the top. This contrasting -
behayiour results,of course, from the relatively reduced column yield moments
in Building A-l. Fig.7 also shows the increased girder ductility factors which
wer? caused by the 8 second earthquake exoitation. No change was observed in
the column yield amplitudes, Wt very significant increases in the girder
duotility factors were produced in the lower stories of the frame by the
extended earthquake duration.

Figse 9 and 10 show the variation of ductility factor with ground motion
intensity for the most critically stressed members of each frame: +the interior
girders. In Building A& (Fig.9 ) may be seen a shift of maximum yielding toward
the lower stories with increasing earthquake intensity, which corresponds with
the trend observed in Fig.6. With the 132% intensity, girder ductility factors
approaching 12 are indicated over most of the height of the frame. A similar
trend may be noted for the more flexible frame in Fig.1l0, but the maximum
girder ductility requirement is less than half as great in this case.

The dashed lines in Figs. 9 and 10 indicate the maximum interior bay
girder moments developed in the frame when responding elastically to the‘loq%
intensity accelerovgrem. These results are expressed as the raiio of maximum
t0 yield moment for each member. It is of interest that these elasiio moment

. ratios average less than 2 while the non-linear ductility factors for the
corresponding excitation intensity average over 6 and 3 in Buildings A and

A~) respectively.



- 17 -

Column Axial Forces

The maximum axial forces developed in the exterior columns of the two
frames are shown in Figs.1ll and 12, Of particular interest in these figures is
the very small influence of earthquake intensity on the axial forces, Nearly
doubling the ground motion accelerations {from 68/ to 132%) causes only about
a 305 increase in axial forces ai the base of Building A, and has negligible
affect over the entire height of Building A-1l. This relative independenca of
axial forces with respect to earthquake intensity is due to the faot that very
little force increase can be developed in the frames once the plastic hingea
are fully mobilized., Of course, significant increases may be observed as the
intensity is increased from incipient yielding (36%) to 685, because it is in
this range that most of the plastic hinges are developed., ¥Fig.ll shows in
addition that extending the duration of the excitation ta 8 seconds elso has
very little effect on the column axial forces.

CONCLUSIONS

Although it is believed that the structures considered here are reasonably
representative designsg, and that the assumed esrthqueke motion is well within
the realm of possibility, no broad conclusions should be drawn from this limited
investigation, The resulis which have been presented demonstrate how a
particular earthquake motion would affect a very specific claass of structure,
and it is impossible to infer from these results how other structural systems
would respond to this ground motion, or how these structures would behave with
other excitation.

| Nevertheleas, it is of interest to comment on a few aspects of these resultss

(l}' The maximum story displacements developed in the non-linear structures are
significantly greater than the displaccments produced in corresponding
elastio stfuctures by the same excitation. The discrepancy was found to
be even greater when the 8 second durziion accelerogram was used. These
results indicate that there is little possibility of predicting the
deformations of a multi-story non=linear structure from the results of an
alastic analysisa, in contrast t?_suggestions resulting from previous
atudies of single story systems\3/,

(2) Ductile deformations tend to vary widely through the structure, in a manner
which depends not only on the structural properties, but also on the
intensity of the ground motions (and undoubtedly on its character, as well).
The maximum:yield moument ratios obtained in an elastic analysis generally
are much smaller than the corresponding member ductility ratios obtained
in ihe non-~linear analyses, and do not appear to provide a direct approach
to estimating the ductility reguirements.

(3) Providing for essentially elastic response in the columns, while absorbing
the earthquake energy in plastic deformations of the girders appears to
be an effective approach tv the earthguake-resistant design of tall
huildings. 7The present results indicate that excessive column forces _
(and consequent danger of total collapse) can be avoided by such designa.
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